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1.0 GENERAL INFORMATION 

1.1 General 

This report summarizes the final design subsurface exploration program, inferred subsurface 
conditions, and geotechnical analyses; and provides geotechnical engineering recommendations 
for foundation design for the proposed bridge structure for the New Britain-Hartford Busway 
(Busway) alignment, which  will carry the Busway over Park Street in Hartford, Connecticut.  
This bridge was redesigned in July 2010, and recommendations herein reflect this redesign. 
  
The Busway project entails the design and construction of a 9.4-mile roadway connecting 
downtown New Britain and downtown Hartford. The Busway will be part of a dedicated Bus 
Rapid Transit System.  The Busway will be adjacent to and west of the existing Amtrak railroad 
tracks. 
 
This section of the Busway begins at the intersection of Oakwood Avenue and the Amtrak 
railroad (Station 332+00), and ends at the intersection of Sigourney Street and Amtrak Railroad 
(Station 450+00).  The site location and alignment is shown on Figures 1 and 2 (Appendix 1). 
 
URS Corporation is the Prime Designer for this section of the Busway.  GeoDesign, Inc. 
(GeoDesign) is the Geotechnical Subconsultant to URS. 

1.2 Datum 

All elevations referenced in this report are in feet and are based on NGVD 1929.  The 
coordinates are based on Connecticut Coordinate System, NAD 1983. 

1.3 Existing Conditions 

The Busway will cross over Park Street at an approximate 46-degree skew angle between the 
intersections of Park Street /Orange Street and Park Street/Bartholomew Avenue.   
 
The existing Amtrak railroad crosses over Park Street on a single-span bridge. Existing grades 
are highest along the Amtrak Railroad (Elev. 64) and lowest at Park Street (Elev. 46).  The 
present railroad embankment side slopes range from about 3H:1V to 4H:1V near the bridge. 
 
Available plans for existing Park St. Bridge do not include foundation information for the bridge.  
The existing foundations are approximately five feet from the proposed abutment foundations.   
 
In this vicinity, a 36-inch diameter reinforced concrete pipe exists underneath the centerline of 
Park Street, and a 30-inch water main exists at the north edge of Park Street. 
 
Figures No. 2 and 3 (Appendix 1) depict existing site conditions. 
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1.4 Design Criteria 

Foundation design recommendations are based on AASHTO Load and Resistance Factor Bridge 
Design Specifications, 3rd Edition, 2004 (AASHTO LRFD) with Interim Specifications through 
2006, and Connecticut Department of Transportation Geotechnical Engineering Manual, 2005 
Edition.  Seismic design recommendations are based on AASHTO LRFD Specifications, 4th 
Edition, 2007 with 2008 interims. Recommendations are also based on State of Connecticut 
Department of Transportation (ConnDOT) Standard Specifications for Roads, Bridges, and 
Incidental Construction, Form 816 (2004). American Society for Testing and Materials (ASTM) 
publications were followed as the reference standards for all field and laboratory tests applicable. 

1.5  Proposed Structure 

A new overpass bridge which will carry the proposed Busway over Park Street, is proposed west 
of and adjacent to the existing railroad bridge crossing over Park Street.  The bridge will be 
approximately 80 feet wide at the south abutment (Abutment 1), 56 feet wide at the north 
abutment (Abutment 2), and about 122-feet long. Two stepped stub abutments will support the 
new single-span bridge.  The new abutments will be further setback from the edges of Park 
Street than the existing abutments.  Abutment No. 1 will retain up to 16 feet of fill, and 
Abutment No. 2 will retain up to 18 feet of fill.  Figure No. 3 includes plan and elevation views 
of the proposed structure, including approximate dimensions and structure type. 

1.6 Proposed Approach Embankments 

Embankment fill will be placed at both bridge approaches by extending the existing railroad 
embankment to the west. Fill height will range from about 7 feet to 17 feet. 
 
New retaining walls will extend away from Park Street from the back of each side of each 
abutment. Retaining Walls are designated 109 through 112 and are addressed in a separate 
retaining wall report. The embankments will be built with 2H:1V slopes transverse to and 
parallel to Park Street in front of each abutment.  
 
Construction of the bridge will entail some fill removal in front of each abutment to allow for 
expansion of the Park Street sidewalk. 
 
 

2.0 GEOLOGY 
 
Published geologic data for this locale indicate that an Alluvial deposit overlies a 
Glaciolacustrine deposit, the prevalent surficial material in this area, below fill.  A Glaciofluvial 
deposit and Glacial Till underlie the Glaciolacustrine deposit. These unconsolidated materials 
overlie bedrock of the Portland Arkose formation.  These layers were formed in a bottom to top 
sequence.  Thus, the shallower a layer the younger its geological age.   
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2.1 Alluvial Deposit 

Alluvial deposits consist of sediments deposited by present day streams. This deposit is a non-
continuous layer with a varying thickness. It consists of fine to medium grained Sand/Silt, with 
some Clay and little Gravel. 

2.2 Glaciolacustrine Deposit 

When the late Pleistocene ice sheet in New England retreated about fifteen thousand (15,000) 
years ago, the Glaciolacustrine deposit was formed in Glacial Lake Hitchcock.  The 
Glaciolacustrine deposit in this area is distinctively featured by alternating layers of clay and silt.  
Each pair of clay and silt layers is called a “varve”, which corresponds to glacial lake deposit of 
a year: when the glacier melted, melt water streams brought soil particles into Glacial Lake 
Hitchcock.  During the summer, a larger volume of water formed a more turbulent flow.  This 
flow was capable of carrying silt particles (sometimes even larger particles) and settling them on 
the lake bottom. During the winter, when the volume of melt water decreased and frozen lake 
surface calmed the water, clay particles were deposited out of suspension. As a result of many 
years’ deposit, the “varved” structure dominated the Glaciolacustrine deposit in this region. The 
deposit could contain several hundred or even several thousand varves. The thickness of the 
varves is variable. 
 
Although this deposit contains significant amount of Silt, the literature typically refers to the 
Glaciolacustrine deposit in this area as Varved Clay.  Conforming to tradition, the term “Varved 
Clay” will be used in this report. 

2.3 Glaciofluvial Deposit 

Streams of melt water carried and deposited particles and formed this layer the before Varved 
Clay layer was deposited.  The Glaciofluvial deposit consists of a heterogeneous mixture of sand, 
gravel, silt and clay in order of decreasing quantity. 

2.4 Glacial Till 

Glacial Till consists of a heterogeneous mixture of different sized particles.  The composition of 
Till demonstrates a wide range of variation in particle size as well as in percentage of each size.  
Two extremes of these variations are stony till and clayey till.  The former contains more than 
fifty percent of gravels, pebbles, cobbles and boulders. The latter consists of more than fifty 
percent of clay size particles. 

2.5 Bedrock 

The Portland Arkose formation, a sedimentary bedrock unit, is the dominating formation in this 
locale.  Its texture ranges from coarse conglomerate to shale. 
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3.0 EXISTING GEOTECHNICAL INFORMATION 
 
During the preliminary design phase (in 2003) Baker Engineering N.Y. (Baker) and their 
subcontractors, performed borings and laboratory tests.  Baker also retained NDT Corporation to 
perform geophysical tests at the existing Park Street Bridge.   

3.1 General 

Pilot Borings SB-79 through SB-84 were drilled in the general area of the new bridge. Boring 
SB-84 is close to the proposed north abutment, the other borings are south of the new bridge.  
The 2003 boring logs are included in Appendix 3. 

3.2 Laboratory Test Data 

Baker conducted the following laboratory tests on samples retrieved from the borings: Moisture 
Contents, Atterberg Limits, Sieve Analyses, Hydrometer Analyses, Incremental Load 
Consolidation Tests, Triaxial Tests, and Torvane Tests. All these tests are summarized in Table 3 
(Appendix 2). Details and interpretation of each test are provided in the Appendices and in 
Section 5.2 of this report, respectively.  Results are discussed in Section 5.0. 

3.3 Geophysical Testing Data 

The purpose of this testing was to determine the extent of substructures or foundations for the 
existing bridge.  Three horizontal lines of coverage were established west of the active track atop 
existing bridge.  Ground penetrating radar (GPR) was also used to acquire bridge abutment data. 

   
GPR and sonic/ultrasonic reflection testing was also performed on the face of existing abutments 
Geophysical testing results are included in Appendix 3 
 
Data from the geophysical survey indicate that the existing bridge abutments are tapered. They 
are approximately six feet thick near the top and nine feet thick near ground level. 
 
 

4.0 SUBSURFACE EXPLORATIONS 
 
GeoDesign conducted additional subsurface exploration during final design. Details of these 
explorations are described in this section: 

4.1 Test Borings  

GeoDesign coordinated the services of New England Boring Contractors of CT, Inc. (NEBC) to 
perform Standard Penetration Test (SPT, ASTM D1586) borings at the proposed bridge site.  
Three structure borings and five retaining wall borings were drilled. Boring locations were 
initially field located by tape measurement and line of sight. Connecticut Department of 
Transportation (ConnDOT) survey crews recorded the locations and elevations of the borings by 



 
 
 

5

surveying the as drilled boring locations. Borings locations are shown on Figure No. 2 
(Appendix 1) and boring logs are included in Appendix 4. 

4.2 Field Vane Shear Testing 

One field vane shear test (ASTM D2573) was performed at approximately Elev. 23 in Boring 
SB-02-3.  The resulting uncorrected and corrected ultimate shear strengths are 280 and 250 psf, 
respectively.  This data is included in Table 6 (Appendix 2). 

4.3 Observation Wells 

An observation well was installed in boring SB-02-3.  The well installation information is shown 
on the boring log (Appendix 4).  Observation well readings are summarized in Table 1 
(Appendix 2.) 
 
 

5.0 LABORATORY TESTING RESULTS AND INTERPRETATION 
 
GeoDesign performed laboratory tests to obtain several important engineering properties of the 
Varved Clay, to verify field classifications, determine material drainage properties, and identify 
frost susceptibility.  More limited testing was also performed on other materials.  Test results are 
included in Appendices 5 through 10.   

5.1 Constant Rate of Strain (CRS) Consolidation Tests 

Constant rate of strain (CRS) consolidation testing (ASTM D4186) was developed in the early 
1970’s and since has gradually become more popular because it generates continuous data 
instead of isolated data points as increment load (IL) testing.  In the past CRS tests were 
significantly more costly than IL testing because the continuous load steps and constant strain 
control both require close monitoring.  As computers and automation technology have improved 
and become more common, CRS test have become a more widely accepted as the state of the art 
methodology for consolidation test.  GeoDesign retained University of Massachusetts at Amherst 
(UMass) to perform two CRS tests on soil samples taken at this bridge crossing.  Results are 
included in Table 2 (Appendix 2) and in Appendix 5. 

5.2 Incremental Load (IL) Consolidation Tests 

Increment load (IL) consolidation testing (ASTM D2435) has been used much longer than CRS 
testing.  As a result, the testing equipment for IL testing is more widely available and the IL tests 
are easier to perform than CRS tests.   Three IL tests were performed to provide a comparison to 
existing test data.  Some IL tests were performed by TestCon, Inc. and some by UMass.  Results 
from both labs showed comparable results. 
 
The ability to predict maximum past pressures using IL tests depends in part on the selection of 
the load increments.  Loading increments of 4,000 and 8,00 psf were used and at this site the 
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predicted maximum past pressures fall between these values.  As a result, the predicted 
maximum past pressures end up converge around 4,000 psf.  Thus, the IL tests yield lower bound 
(conservative) predicted maximum past pressures as compared to CRS tests. Test results are 
included in Table 2 (Appendix 2) and in Appendix 5. 

5.3 Direct Simple Shear (DSS) Tests 

Direct Simple Shear (DSS) tests (ASTM D6528) can simulate shear forces acting horizontally on 
soil. Because of the horizontal-layered structure of Varved Clay, the shear strength along the 
varves is lower than the shear strength across the varves. Thus, DSS testing on Varved Clay 
samples often yield the most conservative shear strength values compared to Triaxial 
Compression (TC) or Triaxial Extension (TE) tests. 
 
GeoDesign retained UMass to perform the DSS tests on four soil samples taken with Shelby 
tubes in Boring SB-01-1 and SB-01-4 (at the Flatbush Avenue bridge approximately 1.2 miles 
south of the Park Street bridge).  DSS test results are included in Appendix 6. The tests were 
performed using the Stress History And Normalized Soil Engineering Properties (SHANSEP) 
Method recommended by Ladd & DeGroot in their 2003 article “Recommended Practice for Soft 
Ground Site Characterization: Arthur Casagrande Lecture”.  
 

A SHANSEP correlation was developed from these test results.  The expression, Su,DSS/σ’ vc = 
0.17(OCR)0.75, provides a way to estimate shear strength in the Varved Clay layer by correlating 
Su as determined by DSS testing with its over consolidation ratio (OCR) as determined by 

consolidation testing with the effective stress (σ’ vc). Plots depicting the shear strength and 
normalized shear strength ratio developed from the referenced laboratory tests are included as 
Chart 4 (Appendix 2). 
 
Due to the similarity of the Varved Clay stratum at this crossing and at the Flatbush Avenue and 
Park Street sites the SHANSEP correlation developed from test results  at Flatbush Avenue  are 
applicable to this bridge crossing.  A tabulation of the resulting calculated minimum shear 
strength, (Su), for each tube sample which was tested for consolidation is included in Table 2 
(Appendix 2). 
 
At this bridge, using the above referenced data, we calculated a range of shear strength of 540 to 
860 psf, and recommend a design shear strength of 700 psf.  This value is conservative as it 
represents the softer zones of the Varved Clay and not the stiffer partially desiccated zones at the 
top and bottom of the layer.. 

5.4 Unconfined Rock Compression Tests 

Unconfined Compression Tests (ASTM D2938) provide an indication of intact rock core 
strength. GeoDesign retained TestCon to perform these tests. However, based on Rock Quality 
Designation (RQD), rock cores taken at this site were of very poor quality.  As a result, no rock 
core pieces meeting the ASTM test standard were available. Based on unconfined compression 
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tests made on nearby rock at Old Park River, (approximately 1,500 feet to the south-southwest of 
Park Street) compressive strength of the rock ranges from about 4,000 to 6,000 psi.  This data is 
included in Appendix 10. 

5.5 Atterberg Limits 

Atterberg Limits (ASTM 4318) provide the Liquid Limit (LL), the Plastic Limit (PL) and the 
Plasticity Index (PI) of cohesive soil samples.  These tests can characterize cohesive soils and 
provide a reference to compare soil properties at different depths and locations. 
 
Eight Atterberg Limit tests were performed.  The LL ranges from 37% to 62%, the PL ranges 
from 23% to 49% and the PI ranges from 4% to 27%.  Data is included in Table 4 (Appendix 2) 
and in Appendix 7.  Chart 1 (Appendix 2) depicts Atterberg Limits vs. depth. 
 
Baker performed 20 Atterberg Limits in 2003, in samples taken from Boring SB-79 to SB-84.  
Liquid Limits (LL) range from 20% to 66%.  The Plastic Limit (PL) ranges from 17% to 30%, 
and the Plasticity Index (PI) range from 4% to 36%.  This data is provided in Table 3 (Appendix 
2) and in Appendix 7. These results correlate well with the above listed results. 

5.6 Moisture Contents 

Moisture contents (ASTM 2216), like Atterberg Limits, provides an easy way to characterize and 
compare cohesive soils. These tests were performed in larger numbers vertically and horizontally 
throughout the Varved Clay layer to rapidly and economically determine vertical and horizontal 
trends of property variations. 
 
Twenty moisture content tests were made in samples form borings SB-02-1 and SB-02-3 at 
approximately 10-foot vertical intervals.  Test samples were obtained by cutting split spoon 
samples vertically to sample several varves.  The results indicate a moisture content range of 
35% to 66% suggesting a pattern with lower moisture contents (around 30%) at top and bottom 
of the Varved Clay layer, gradually increasing to higher moisture contents near the middle of the 
stratum (around 60%) and decreasing to 35% toward the bottom of the layer. The average 
moisture content is approximately 53%. 
 
In 2003, Baker performed 29 moisture content tests on samples taken from Boring SB-79 to SB-
84.  The results correlate well with the above described test results with an average moisture 
content of 40%.  However, because in 2003 more tests were made in the upper and lower 
portions of the Varved Clay layer, the average moisture content is lower, than the 2008 average. 
Chart 3 (Appendix 2) depicts moisture content vs. depth.  From these data, it is clear that 
moisture content first increases with depth and then decreases past the middle of Varved Clay 
layer, forming a horizontally reverse “C” shape curve.  This moisture content distribution is 
consistent with a high degree of consolidation at the top and bottom drainage surfaces of the 
Varved Clay layer. 
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5.7 Minus No. 200 Sieve Tests 

Minus No. 200 Sieve Test (ASTM D1140) provides a means of determining the percentage of 
soil particles finer than 75 um (clay and silt particles). 
 
Six SPT jar samples taken from the Fill layer were washed with No. 200 sieve and weighted 
according to ASTM D1140 Method A. The results indicate a silt/clay content range of 4.2% to 
70.2%. The data is included in Appendix 8. 

5.8 Sieve Analyses 

Sieve Analyses (ASTM C136) provide the gradation of soil particles larger than the No. 200 
sieve. The results are useful for evaluating reusability of existing soils and calibrating visual field 
description of soil samples. 
 
Sieve analyses were performed on four jar samples. In 2003, Baker performed five sieve 
analyses tests on samples taken in Borings SB-79 to SB-84.  Results are included in Appendix 8. 

5.9 Hydrometer Analyses 

Hydrometer analyses were performed on six jar samples and two tube samples of the Varved 
Clay layer. The results showed a fairly consistent pattern in gradation.  The Sand content varies 
from 0% to 6%.  All the sand particles are categorized as fine sand.  The Silt content varies from 
13% to 28%.  Clay is the major component of Varved Clay layer, ranging from 71% to 87%. 
Data is included in Table 5 (Appendix 2) and in Appendix 8.  Hydrometer test results presenting 
percent Sand, Silt and Clay vs. depth are summarized on Chart 2 (Appendix2). 
 
In 2003, Baker performed hydrometer tests on 16 samples. Thirteen of these were from the 
Varved Clay layer.  Two were from the Sand/Silt layer.  One was from the Glacial Till layer. 
This data is included in Tables 3 (Appendix 2) and in Appendix 8. 

5.10 pH and Sulfides Tests 

pH and Sulfides tests were performed to estimate corrosion potential.  Three pH tests and three 
Sulfide tests were performed in samples taken from Borings SB-02-1, SB-02-2 and SB-02-3.  No 
Sulfide was detected in these samples.  pH values range from 3.4 to 5.9, with and average value 
of 5.1.  Comparing to neutral pH value of 7, the average pH value indicates slightly acidic soils. 
Test results are included in Appendix 9. 
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6.0 SUBSURFACE CONDITIONS 

6.1 Subsurface Profile 

A subsurface profile is shown on Figure No. 5 (Appendix 1).  This profile depicts the generalized 
subsurface conditions based on the pre-existing and recent subsurface exploration data.  The 
legend for the subsurface profiles is included as Figure No. 4. 
 
The profile depicts a fairly consistent Varved Clay layer, except that the upper portion of this 
layer exhibits a variable degree of desiccation.   Despite small variations in the contents of 
relatively thin layers above and below the Varved Clay, the soil and rock profile can be 
summarized as follows: 
 

• Top Soil/Asphalt - 0 to 1 foot thick; 
• Fill - 0 to 23 feet thick; 
• Silt/Fine Sand (Alluvium Deposit)- 0 to 16.5 feet thick; 
• Varved Clay (Glaciolacustrine Deposit)- 97 to 134 feet thick; 
• Silt/Fine Sand (Glaciofluvial Deposit) - 0 to 15 feet thick; 
• Glacial Till- 0 to 36 feet thick; 
• Bedrock (Siltstone/Shale). 

 
The Fill consists of loose to very dense, poorly graded (fine to medium) Sand, trace to some Silt, 
and (where present) some fine to coarse Gravel, little Asphalt fragments, trace Ash, trace 
Cinders, trace Brick/Concrete fragments, and trace Organic Fibers. 
 
The majority of soil samples indicate that the Fill layer is medium dense, poorly graded and 
widespread.  Only one out of sixteen borings (SB-83) showed no indications of Fill in the 
samples. In Boring RW-25 and R-119, Cinders and Ashes dominate the fill material.  However, 
these borings were approximately 400 feet north of  Abutment No. 2. 
 
Two of sixteen borings encountered variable fill materials.  Boring R-119 indicates that Fill at 
this location is locally very loose to loose.  In boring SB-02-1, eight feet of concrete was 
encountered between the Topsoil and the Varved Clay. 
 
The Silt/Fine Sand layer is erratic through the area of the new bridge and is generally medium 
dense. It is present in nine out of sixteen borings.  The borings indicate that this layer is absent in 
SB-02-1, -2 and -3 and also in RW-21, RW-24 and R-119. The layer typically consisted of loose 
to dense Silt and/or fine Sand.  SPT N-values indicate that the majority of the samples have a 
medium density. 
 
The Varved Clay layer was encountered is all the borings. The top and bottom ten feet of the 
layer consisted of stiff to very stiff Clay and Silt.  The stiffness decreases from top and bottom to 
the middle of the layer. Near the middle of the layer, (about 30 to 110 foot depth), the SPT “N” 
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values typically range from Weight of Rod (WOR) or Weight of Hammer (WOH) to 2, 
indicating a very soft consistency within the deposit. 
 
The Silt/Fine Sand (Glaciofluvial Deposit) underlies the Varved Clay.  In nine out of sixteen 
borings which fully penetrated the Varved Clay, five encountered the underlying 
Silt/Sand/Gravel layer.  This stratum consists of medium dense to very dense fine Sand and Silt 
and its thickness varies from 0 to 15 feet. 
 
Glacial Till was encountered in all the borings that fully penetrated the silt/fine sand layer.  Its 
thickness varied from 22 to 36 feet.  SPT “N” values indicate the density of this layer ranges 
from dense to very dense. 
 
Bedrock (Shale) is at approximately 155 feet below the existing ground surface (approximate 
Elev. -94).  Rock cores were taken in two borings near the proposed abutments.  Rock Quality 
Designation (RQD) values were less then 10%, indicating very poor quality, however, it is 
expected to improve with depth. 

6.2 Groundwater 

Stabilized readings made in the observation well in Boring SB-02-3, indicate groundwater levels 
at approximately Elevation (Elev.) 45 (approximately 8.5 feet below the existing ground 
surface).  Groundwater conditions will vary depending on factors such as temperature, season, 
precipitation, construction activity and other conditions, which may be different from those at the 
time of these readings. 
 

7.0 EVALUATION AND RECOMMENDATIONS 

7.1 Bridge Foundations 

Following are design considerations and design recommendations for the bridge foundations. 

7.1.1 Foundation Type 

As  discussed in Section 7.2, significant consolidation (delayed) settlements are predicted near 
the abutments due to embankment loading of the thick compressible Varved Clay layer. 
Consideration was given to using shallow foundations to support the bridge abutments in 
combination with  techniques such as use of light-weight fill, pre-loading, surcharging, installing 
wick-drains or a combination of these to reduce the consolidation settlements.  However, a 
shallow foundation solution is not recommended due to economic and schedule reasons, and due 
to the added risks this solution would entail as compared to the pile supported solution. 
 
In the area of the bridge abutments, the Varved Clay layer deposit is present at depths of about 7 
to 14 feet below the ground surface (Elev. 40 to 55) extending to depths of about 122 to 134 feet 
(Elevs. -68 to -72).  The Varved Clay layer overlies very dense Silt/Sand or Glacial Till, over 
bedrock.  To avoid abutment settlements of up to 2.5 inches, we recommend that both abutments 
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be supported on deep foundations.  The recommended pile type consists of H-piles driven to 
refusal in bedrock.   

7.1.2  Pile Lengths 

Top of bedrock is at approximately Elev. -93 to -94 in the area of the abutments.  Based on 
bottom of pile cap Elevations ranging from 46 to 56.5 feet, we estimate piles lengths of 142 to 
153 feet at the abutments.  Estimated pile lengths include one foot embedment into the pile cap 
and into the bedrock.  Design pile tip elevation is -95.  
 
We recommend an additional 20 feet be added for test pile lengths; and recommend that the 
contractor use information from the test piles to determine order lengths. 

7.1.3  Down-drag Load 

Piles which are driven through a compressible stratum (e.g. varved clay) to an end bearing 
stratum must be evaluated for down-drag.  Down-drag occurs when a soil layer is compressed 
and it moves downward relative to the pile.  As little as 0.2 inches of downward movement 
against the pile is enough to initiate the down-drag load. 
 
The magnitude of down-drag forces depends on the friction coefficient between soil and the pile, 
and the geometry of the pile cross section. For a fixed cross sectional area and friction 
coefficient, the larger the pile perimeter the higher the down-drag force.  In addition, the greater 
the thickness of down-drag inducing material (in this case Varved Clay in contact with the pile), 
the greater the down-drag force. 
 
For example, the settlement down-drag force on a Grade 50 Steel HP14x117 pile which 
penetrates a 120 foot thick stratum of the Varved Clay is approximately 68 percent of the pile’s 
factored structural capacity.  Therefore, the pile is only 32 percent efficient.  Smaller piles are 
even less efficient and are therefore not usable. 

7.1.4  Down-drag Load Reduction 

Bitumen is very effective as a coating to reduce the friction between the soil and piles. A one 
millimeter thick bitumen coating is sufficient to significantly reduce the down-drag force.  The 
bitumen coating need not be applied to the section of the pile below the bottom of the Varved 
Clay stratum (about 135 linear feet per pile).  We estimate that the down-drag load of a bitumen 
coated HP14x117 pile will be 85 percent less than for an uncoated pile.  Thus, bitumen coating 
will reduce the predicted down-drag force to about 10 percent of pile’s structural capacity, 
making a HP 14x117 pile 90 percent efficient. 
 
We estimate that bitumen coating of the piles will add approximately 10 percent to the pile’s 
material cost.  Thus, bitumen coating is recommended. 
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Precautions must be taken to prevent damage the bitumen coating with extreme temperatures and 
while driving through granular soils. To avoid damage to the coating, we recommend a hole be 
pre-drilled through the surficial Fill and Silt/Sand layers to the top of the Varved Clay. 

7.1.5  Corrosion Protection of Steel Piles 

As noted in Section 5.10, pH values of 3.4 to 5.9 and the absence of Sulfide in tested samples 
(taken in the upper 8 to 15 feet), indicate low to medium corrosive potential.  Under these 
conditions, an allowance for corrosion of 1/16 to 1/32 inch is often used.  However, due to the 
recommendation to use of bitumen coating which will protect the piles from corrosion, we do not 
recommend using a corrosion allowance for steel piles. 

7.1.6  Pile Type Selection 

To limit the development of a significant down-drag force, we recommend steel piles because, 
compared to piles of other materials, steel piles typically provide higher strength, smaller 
perimeter, and smaller friction coefficients. 
 
ConnDOT has requested that pile tip stresses not exceed 24ksi. We therefore recommend 
vertical, end-bearing, bitumen coated, Grade 50 steel H-Piles, with a maximum tip stress of 
24ksi. We further recommend pile tip reinforcement with integrally cast cutting teeth (or similar) 
be used.  The following table provides nominal compressive resistances, down-drag loads, and 
nominal lateral capacities for a selection of HP pile sections.  The down-drag loads are based on 
bitumen coated piles and must be added to the abutment load when determining the required 
number of piles. Nominal lateral pile capacities are based on a predicted lateral deflection of 0.6-
inches. 
 

Pile 
Section 

Nominal Compressive 
Resistance (kips/pile) 

Design 
 Down-drag Load 

(kips/bitumen coated pile) 

Nominal Lateral 
Capacity** 
(kips/pile) 

HP12x74 523 60 20 
HP14x117 825  65 25 

 **Lateral Capacity assumes 0.6-inch deflection 
 
We recommend a resistance factor for compression, (Øc), of 0.6 (for good driving).  Resistance 
factors for the service limit state shall be taken as 1.0, except for global stability where the 
resistance factor shall be taken as 0.75.  Resistance factors for the extreme limit state shall also 
be taken as 1.0, except for uplift resistance of piles, where the resistance factor shall be taken as 
0.8.  Refer to Section 7.1.10 for use of resistance factors during pile testing. 
 
The down-drag load must be added to the abutment load when determining the required  capacity 
and number of piles.  However, the live loads need not be considered to act simultaneously with 
down-drag loads because temporary loads temporarily relieve down-drag loads due to the elastic 
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compression which acts in the opposite direction as the soil compression which causes the drag 
loads. 

7.1.7 Pile Batter 

Batter piles may be used to supplement the recommended lateral pile capacity if needed.  We 
recommend a maximum pile batter of 1H:4V.  In addition, if batter piles are used, the lateral 
capacity of piles (excluding the batter component) must be reduced to a maximum ultimate 
lateral capacity of 3 kips per pile.  

7.1.8  Pile Spacing 

In no case should the piles be spaced closer than three pile diameters.  Pile group reduction 
factors, as applicable must be applied in accordance with AASHTO LRFD Section 10.7.2.4, 
Table 10.7.2.4-1, and Figure 10.7.2.4-1. 

7.1.9  Pile Splicing 

Due to pile length, shipping, and handling constraints, piles will require at least two splices. 
Splices shall be made using pre-approved pre-fabricated splice connectors welded to provide the 
design pile vertical and lateral capacity.  Splices shall not be the allowed within 15 feet of the 
pile cut-off and splices between adjacent piles shall be staggered at least 5 feet vertically. 

7.1.10  Pile Load Testing 

We recommend the use of PDA testing, which can be completed quickly.  We recommend one 
pile be tested at each abutment (for a total of two tested piles).  The pile load testing resistance 
factor for PDA testing (Ødyn) is 0.65 
 
The test pile selection should be based on a successfully tested indicator pile driving records, 
considered in relation to the test boring data, as determined by the Geotechnical Engineer. 
 
Preliminary installation criteria for the piles should be based on wave equation analysis 
employing the characteristics of the pile type, soil conditions, and pile driving hammer and 
cushions proposed by the Contractor.  This installation criteria analysis may be performed by 
GeoDesign, or by the Contractor’s engineer and submitted for review. 
 
Pile load testing resistance factors are as follows:  Static Load Testing = 0.8 and PDA Testing = 
0.65.  Resistance factors differ based on confidence levels, i.e. there is a greater confidence for 
Static Load Testing.  In the interested in using a larger resistance factor for pile load testing, we 
recommend static load tests be performed and correlated with PDA Testing.  At any particular 
structure location/area, PDA Testing can then be used with the larger resistance factor (0.8). 
At Abutment 1, we recommend a PDA and Static Load Test and at Abutment 2, we recommend 
only a PDA test.   
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Production pile installation criteria will be based on the passing of a successfully tested indicator 
pile. 

7.1.11  Abutment Settlement 

Settlement of the end-bearing pile-supported structure is expected to be small (on the order of 
one-quarter inch or less) and should occur largely during bridge construction. 

7.1.12  Obstructions 

Due to the distance between the new abutments and the existing railroad bridge, we do not 
expect that the piles will encounter obstructions during driving. 

7.1.13  Static Design Parameters 

For design of the abutments, we recommend the following static design parameters: 

 • Unit weight of soil above the water table of 125 pcf 
 • Unit weight of soil below the water table of 62.6 pcf 
 • Soil Angle of Internal Friction, phi = 34° 
 • Coefficient of Friction for Sliding of Footing over Sand or Crushed Stone = 0.55 
 • Coefficient of Friction for Soil against Wall, tan delta = 0.40 

 • Coefficient of Passive Earth Pressure, KP = 3.5 
 • Coefficient of Active Earth Pressure, Ka = 0.28 
 
Load Factors for soil loads should be selected based on Table 3.2.1-2 (AASHTO LRFD). 
 
Earth pressure calculations should assume a surface surcharge of 24 inches soil depth or 250 psf. 

7.1.14  Liquefaction Potential and Seismic Design 

AASHTO LRFD Section 4.7.4.1 states that the bridges in Seismic Zone 1 need not be analyzed 
for seismic loads, regardless of their importance and geometry; accordingly, recommendations 
for dynamic lateral earth pressures are not included. However, the minimum requirements, as 
specified in Section 4.7.4.4 and 3.10.9, shall apply. 

7.1.15  Dynamic Lateral Earth Pressures 

The abutments should be designed for lateral earth pressures during seismic loading by the 
pseudo-static Mononobe-Okabe method, in accordance with AASHTO LRFD, 2004 Section 11, 
Appendix A11.1.1.1.  In addition to the soil properties provided in Section 7.3, the following 
values should be used for seismic design: 
 

• Horizontal Acceleration Coefficient, kh = A = 0.14 
• Vertical Acceleration Coefficient, kv = 0 
• Assuming the backfill angle, i, and the backwall batter angle, β, are both zero, and 
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 kh = A = 0.14, Seismic Active Pressure coefficient KAE = 0.35 
 
If this analysis results in an excessively large abutment, per AASHTO no displacement criterion, 
a tolerable displacement criterion may be used to provide a more economic design. In this case, 
provided that allowance is made for an outward displacement of the abutments of up to 1.5 
inches, we recommend using the following values: 
 

• Horizontal Acceleration Coefficient, kh = A/2 = 0.07 
• Vertical Acceleration Coefficient, kv = 0 
• Assuming the backfill angle, i, and the backwall batter angle, β, are both zero, and kh = 
0.07, Seismic Active Pressure coefficient, KAE = 0.30 

 
If the abutments will be cantilever type substructures vs. gravity-type, substructure inertia effects 
may be neglected for design as recommended by AASHTO. 

7.1.16  Abutment Backfill Requirements 

Abutments and wing walls should be designed to comply with ConnDOT Manual Standard, Plate 
Number 3.5.2 – U-Type wing wall or wall drainage and backfill requirements. 

7.1.17  Special Provisions 

Special provisions will be required to address bitumen coating, pile splicing and pile testing. 

7.2 Approach Embankments 

7.2.1 Settlements Resulting from Embankment Loads  

Laboratory testing of the Varved Clay stratum indicates that this layer is over consolidated.  We 
compared the maximum proposed stress (the sum of the present in-situ stress and the proposed 
stress increase) to the maximum past pressure and determined all the loading will be consist of 
reload, e.g. less than the maximum past pressure.  This means that the proposed embankment 
loading will consolidate the Varved Clay layer through a recompression process.  Thus, the 
recompression ratio (RR) was used to estimate consolidation settlement.  A RR value of 0.04 
was chosen to estimate consolidation settlement and the Roc Science software package SETTLE 
3D was used to estimate settlements.  

7.2.2 Embankment Settlements 

We estimate the following settlements directly behind the abutments due to fill (γ = 125 pcf) and 
the weight of the wall: 
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Consolidation 
Settlement (in) 

Total 
Settlement (in) 

 
 

Abutment 
Number 

At Centerline of 
Abutment 

At Edge of 
Abutment 

At Centerline of 
Abutment 

At Edge of 
Abutment 

1 2.2 1.5 2.3 1.6 
2 1.7 1.2 1.8 1.3 

 
Predicted settlements at a distance of approximately 60 feet behind each abutment are about 50 
percent higher than the above values.  

7.2.3 Utility Settlements 

The embankments will also cause a stress increase in front of the abutments within the area of 
Park Street and its sidewalks. Two known subsurface utilities are present within the Park Street 
right-of-way, a 36-inch RCP pipe (likely a sewer) at the centerline, and a 30-inch diameter water 
main to the north of the centerline (closer to Abutment 2).  We estimated the total settlement of 
these utilities  to be as follows: 
 

 
Utility 

Settlement  at 
Busway Centerline 

(in) 

Settlement  70 feet Offset 
from Busway Centerline 

(in) 
36-inch RCP 0.47 0.18 

30-inch Water Main 0.48 0.19 
 
This indicates slightly less than ½ inch of predicted settlement in a gradual dish-shaped pattern 
with the maximum at the Busway centerline gradually decreasing with distance away from the 
embankments. These predicted settlements are expected to be entirely comprised of delayed 
consolidation settlement. 

7.2.4  Existing Park Street Bridge Settlements 

Plans of existing bridge carrying Amtrak over Park Street, do not show bridge foundations.  
Since part of the existing superstructure is going to be demolished, the settlement of the existing 
bridge will not be very critical.  However, the existing railroad tracks are estimated to settle up to 
about 1.2 inches. 

7.2.5  Rate of Settlement 

Because of the anisotropic properties of Varved Clay, horizontal drainage will control the 
dissipation of water in Varved Clay and hence its rate of consolidation. To estimate the rate of 
consolidation, we used a report on “Field Consolidation of Varved Clay”, by Professor Richard 
P. Long, Professor Kent A. Healy and Mr. Peter J. Carey from University of Connecticut.  Based 
on Figure 13 of the report (reproduced as Chart 1, included in Appendix 2, Vol. I) and using a 
dimension ration of 1.4 (width of Busway Over Park Street Bridge of approximately 70 feet and 
the average depth of Varved Clay of approximately 100 feet), the field-measured apparent 
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coefficient of approximately 6.0 ft2/day.  Conservatively, we recommend using 5 ft2/day.  Based 
on this value, the clay thickness, and assumed double drainage, we estimate that primary 
consolidation will be essentially complete after approximately 1.5 to 2 years. 

7.2.6 Approach Slabs 

The approach fills are expected to undergo slight settlement due to limited elastic settlement of 
the existing and new fills, and significant consolidation settlement (provided in Section 7.2.2).  
To mitigate the anticipated differential consolidation settlement between the pile-supported 
abutments and the abutment backfill, we recommend the use of 20-foot minimum length 
approach slabs for both approaches. Approach slabs are used to mitigate the settlement between 
the bridge seat and the abutment backfill to reduce the ‘bump’ effect felt at high speeds.  

7.2.7 Embankment Stability Near Bridge 

Slope stability analyses of the proposed embankments were performed using the two-
dimensional limit equilibrium. We used the Roc Science software package SLIDE. The 
assumptions used in slope stability analysis were conservative: the cohesion was assumed to be 
700 psf; the friction angle was assumed to be zero.  The 700-psf cohesion was estimated from 
SHANSEP correlations for soil samples taken near the middle of Varved Clay stratum (See 
Table 2 in Appendix 2). Cohesion of soil on the top and bottom of the Varved Clay layer is 
expected to be higher due to the partially desiccated conditions indicated by the lower moisture 
contents.  The range of minimum predicted safety factors against 2D global slope failure is 1.25 
to 1.3. These values were calculated using the Bishop Simplified Method and the Spencer 
Method, respectively. These values are acceptable in consideration of the fact that the clay will 
gain strength as it consolidates under new embankment stresses and the conservative shear 
strength selected for the analyses.  

7.3 Construction Considerations 

7.3.1 Protection of Existing Railroad Bridge 

Based on drawings and sections provided by URS, it appears that installation of the Abutment 1 
pile cap to approximate Elev. 54 feet, will encroach on the protected zone adjacent to live 
railroad tracks. Specifically, Amtrak requires protection of the existing tracks when construction 
occurs within two well defined zones.  Temporary sheeting is required if excavations extend into 
“zone 2” below the boundary defined as a 1V:1.5H slope beginning 10 feet outside the centerline 
of the nearest RR tracks.  Temporary sheeting to be left-in-place is required if excavations extend 
into “zone 3” below the boundary defined as a 1V:1H slope beginning at the closest end of the 
RR tie.  Excavations to install the proposed pile caps will extend into “zone 2” and will therefore 
require sheeting for protection of the railroad.   
 
The existing railroad bridge will create both horizontal and vertical constraints during 
construction.  Pile driving adjacent to the tracks may fowl the tracks.  Appropriate contractor 
coordination with Amtrak will need to be specified in the contract documents. 
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7.3.2  Temporary Lateral Support 

 
Temporary lateral support is required at for installation of Abutment 1 pile caps.  We recommend 
the following design parameters, based on soil and groundwater conditions, and depth to 
bedrock. 
  

• Existing Fill 
 Total Unit Weight = 125 pounds per cubic foot (pcf) 
 Submerged Unit Weight = 63 pcf 
 Phi = 34 degrees 
 Ka = 0.28 
 Kp = 3.5 

 

• Varved Clay 
   Total Unit Weight = 105 pcf 
   Submerged Unit Weight = 43 pcf 
   Su (Undrained Shear Strength) = 800 psf 
 

7.3.3 Vibrations and Construction-Induced Settlements 

Vibrations from pile driving may impact the tracks, bridge, and/or nearby utilities.  See Section 
7.3.4 below for recommendations regarding the utilities.  For the other structures, we recommend 
they be closely monitored with vibration monitoring plans and threshold/action criteria defined 
and coordinated in advance with Amtrak.  
 
We recommend a structure data monitoring point (DMP) and tilt meter be established on each of 
the existing bridge abutments which will carry train traffic during construction of the new 
abutments. The tilt meters will show rotational movement, while the DMPs will show vertical 
movement.  We recommend the tilt meters be remotely monitored, however ConnDOT has 
requested that the meters instead be field monitored. 
 
Although GeoDesign recommends the use of inclinometers behind the temporary lateral support 
to monitor rotational movement of the sheeting, ConnDOT has directed us otherwise.  Instead, 
ConnDOT has requested that Data Monitoring Points (DMPs) be located at the top of the sheets, 
and monitored by survey.   
 
The railroad tracks should be monitored with monitoring points on the nearest track at 50-foot 
intervals, extending 100 feet from the end of each abutment. 
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7.3.4  Monitoring of Utilities 

Existing utilities run below Park Street.  These utilities include gas, telephone, storm, sewer, 
water, and electric.  Utilities nearest to the proposed bridge include a 36-inch RCP and a 30-inch 
water main. We recommend that three monitoring points be established on each of these two 
utilities, using steel rods and steel pipe installed to the crown of the buried utility.  The 
monitoring points can then be monitored at the ground surface using survey equipment during 
construction.   

7.3.5 Dewatering 

Groundwater is not likely to be encountered during foundation installation, but cannot be ruled 
out.  Therefore, Contractors should be prepared to use sump pump to control groundwater as 
needed. Contractors should take extra precaution to dewater in areas where bottom of foundation 
close to the Varved Clay.  A layer of crushed stone placed on top of the Varved Clay before 
dewatering is recommended to reduce disturbance to this stratum if it is reached during 
excavations.  If the Varved Clay stratum is disturbed, the disturbed portions must be removed 
and replaced by crushed stone. 
 

8.0 LIMITATIONS 
 
This report is subject to the limitations attached in Appendix 11. 



 




































































































































































































































































































































































































































































